Abstract: This paper presents and analyzes experimental results of tests of 15 four-column frame specimens subjected to progressively increasing unidirectional ground shaking to collapse. The specimens were subdivided into groups of three different column slenderness ratios: 100, 150, and 200. Within each group, the column dimensions and supported mass varied. Ground motion of varying magnitudes was required to collapse the structure tested. The experimental setup is briefly described and results are presented. Test structure performance is compared with proposed limits for minimizing P -⌬ effects in highway bridge piers. The stability factor is found to have a strong relation to the relative structural performance in this regard. Performance is also compared with capacity predicted by currently used strength and stability axial-moment interaction design equations by expressing these capacities in terms of acceleration and maximum base shear ͑as a fraction of the system's weight͒. The experimental results exceeded the maximum spectral accelerations calculated when considering second-order effects, but did not when considering only member strength. Finally, an example of how to use the experimental data for analytical model verification is presented, illustrating the shortcomings/inaccuracies of using a particular simplified model with constant structural damping.
Introduction
The arbitrary lateral drift limits prescribed by earthquake-resistant design codes to prevent excessive nonstructural damage during earthquakes also indirectly ensure that structural performance is minimally affected by the effect of gravity on the lateral force resistance of structures ͑aka P -⌬ effect͒. However, from the perspective of performance-based design, there is a desire to eliminate these drift limits so protection against nonlinear structural instability will therefore have to be provided by other performance-based controls. In fact, this has already occurred in some proposed bridge design specifications. As such, accurate quantification of the destabilizing effect of gravity will become essential in structures that rely on inelastic behavior to dissipate seismic input energy. Toward that end, research is needed to enhance our understanding of the conditions that ultimately lead to collapse.
Analytical models and algorithms able to reliably capture the inelastic cyclic collapse limit state as a result of earthquake excitations will need to be developed, calibrated, and validated using experimental data. To provide some of that experimental data, 15 specimens, each having four columns and designed to have a rigid beam and thus behave as single-degree-of-freedom ͑SDOF͒ systems horizontally, were subjected to shake table testing to collapse. All tests were thoroughly documented ͑geometry, material properties, initial imperfections, detailed results, etc.͒ to make results usable as benchmarks to which analytical models can be compared.
This paper presents relevant P -⌬ concepts, specimen fabrication, and documentation of their pretest condition, important aspects of the experimental setup, dynamic properties measured from free vibration tests, and selected shake table test results.
Although the first and foremost objective of this project was to provide well-documented data ͑freely available on the web to be used by others͒ of tests to collapse, this paper includes results from a preliminary investigation of behavioral trends observed from the shake table results. In particular, peak responses are compared with limits proposed by others to minimize P -⌬ effects in bridge piers. Specimen behavior is also investigated with respect to axial-moment strength and stability interaction limits. Finally, to illustrate how the generated experimental data could be used to develop or calibrate analytical models of inelastic behavior to collapse, experimental results are compared with those obtained using a simple analytical model. Progressive bilinear dynamic analyses are performed in two different ways and are compared with the shake table test results.
P -⌬ Concepts

Fundamental Parameters
The concept of P -⌬ effects under static loading can be illustrated using the SDOF structure shown in Fig. 1 . In Fig. 1 , 2 P represents the force due to gravity acting on the mass lumped at the top of the structure, L is the column height, 2V is the lateral force on the mass, and ⌬ is the horizontal displacement of the mass. As the structure sways by ⌬ under the effect of lateral force, the product of Pϫ⌬ produces an additional moment at the base of each column, which can be obtained by considering static equilibrium in the deformed configuration.
If the typical SDOF structure considered in Fig. 1͑a͒ is a single-bay portal frame with an infinitely rigid beam, the elastic lateral stiffness of each column within the frame, ignoring the P -⌬ effect, is given by
where Eϭelastic modulus of the material; Iϭmoment of inertia of the column section; and Lϭheight of the column.
For the bilinear elastically perfect plastic model shown in Fig.  2 , the ultimate lateral force, ignoring the P -⌬ effect, which can be applied to each identical column of that frame, is reached when the plastic moment of the column, M p , develops at the top and bottom of the column, and is given by
The corresponding yield displacement is
Now, as shown in Fig. 1͑b͒ , considering P -⌬ effects for a single column in the same frame, moment equilibrium gives
where Vϭlateral force at the top of the column. By rearranging Eq. ͑4͒, the lateral force, V, can be expressed as
where V 0 ϭlateral force that would be obtained by ignoring the P -⌬ effect. Shown in Fig. 2 , as a consequence of P -⌬ effects seen in Eq. ͑5͒, V decreases relative to V 0 , as the displacement, ⌬, increases. This equation can also be expressed as
where ϭ P -⌬ stability factor given by
From Eq. ͑6͒, the elastic stiffness considering P -⌬, K 1 is therefore
Similarly, the lateral force at which the column, including P -⌬ effects, yields, V yp is
When elastic-perfectly plastic material properties are assumed for the idealized frame described earlier, lateral force V 0 in Eq. ͑6͒ remains constant in the postelastic region of the forcedisplacement graph as the plastic moment, M p , is developed. However, when P -⌬ effects are considered, the corresponding lateral force versus displacement curve exhibits a negative slope past the yield point, with stiffness of
as shown in Fig. 2 . Therefore, the monotonic bilinear force-displacement response of a column in this SDOF structure, including P -⌬ effects, can be summarized as follows:
The ultimate displacement of the structure is designated as ⌬ u , as shown on Fig. 2 , the point at which the postelastic lateral strength curve or negative slope intersects the displacement axis. This theoretically implies that, for any additional lateral displacement, lateral instability develops ͑i.e., the lateral strength becomes negative for any additional positive displacement͒.
Some additional parameters are useful to further characterize inelastic behavior of columns up to collapse. The ratio of postelastic to elastic stiffness, K 2 and K 1 , respectively, known as the stiffness ratio, r, is given by
where ␣K 0 ϭstiffness ͑in the absence of stability effects͒ of the strain-hardening segment of a bilinear elastic-plastic material model. Here, a value of ␣ϭ0.0 is considered throughout. The displacement ductility, i.e., displacement as the ratio of yield displacement, at ultimate displacement, ⌬ u , known as the static stability limit, s , is derived from the geometry and relations given in Fig. 2 , in terms of and r 
Hysteresis Center Curve Concept
MacRae and Kawashima ͑1993͒ proposed the hysteresis center curve ͑HCC͒ concept to characterize the stability of general hysteresis loops. For the case of a bilinear system assumed for the analysis in this research, the HCC is a line parallel to the secondary stiffness that passes through the origin of the forcedisplacement space. If the secondary stiffness, K 2 , is positive, the system is considered stable and after the structure yields will tend to return to the point of zero displacement upon repeated reverse cyclic yielding during ground shaking. However, if K 2 is negative, the structure is deemed to be dynamically unstable, and will tend to drift in a given direction once yielding has started. This results in large cumulative residual displacement and a lower cyclic energy absorption capacity. MacRae and Kawashima stated that, due to these large displacements, structures may be difficult to straighten and may perform poorly in a subsequent earthquake.
Amplification Factors for P -⌬ Effects
Bernal ͑1987͒ investigated dynamic P -⌬ effects in elastic and inelastic systems through the use of amplification factors. The ratio between displacement spectra with and without gravity effects represents the amplification spectrum that will amplify the elastic displacement for design. Inelastic P -⌬ analyses were performed using four ground motions for a series of time history analyses. Damping was held constant at 5% of critical while the target displacement ductility and stability factor were both varied, from 1 to 6 and from 0 to 0.2, respectively, providing a total of 192 amplification spectra.
In the course of Bernal's parametric study, the target ductility was made to satisfy a maximum limitϭ0.4 s , based on the requirement that the structure must remain fit to resist the factored gravity load following the inelastic response. In addition, the derivation assumed that the postearthquake permanent deformation was equal to the maximum response ductility. Based on a statistical analysis of the 192 spectra generated in the study, the following expression for the amplification factor was proposed:
where regression analysis for the mean amplification yielded
Overview of Experimental Program
Description of Specimens
A typical specimen column is shown in Fig. 3͑a͒ . The sizes of the specimens and masses of the 15 specimens tested are listed in Table 1 along with bilinear behavioral properties for the average dimensions, according to the SDOF model described previously. Specimens were designed to have slenderness ratios of 100, 150, and 200. A range of values for axial capacity versus demand, P u / P n , was chosen for each slenderness ratio, where P u ϭweight of the mass plates used in the test, and P n ϭaxial capacity of all columns in the specimen, calculated using the AISC-LRFD specifications ͑AISC 1994͒. These values are listed, for each specimen, in Table 1 . Individual columns were cut from hot-rolled steel plate and then milled to size. A 50.8 mm ͑2 in.͒-wide square by 12.7 mm ͑0.5 in.͒-thick base plate was attached to the top and bottom of the column so that a rigid connection could be provided to both the shaking table and the mass plates above.
Thin metal strips were used as cross bracing to prevent out-ofplane movement and torsion of the test structures. The strips were sufficiently thin to add only negligible stiffness in the direction of shaking. This was verified analytically, as well as by free vibration tests which showed no change in the period of the structure with and without metal strip bracing. Free vibration tests showed no significant change in damping between the bare and braced specimen.
The 0.91 mϫ1.52 m (3 ftϫ5 ft) SDOF shaking table used for this testing program is driven by a displacement controlled 24.47 kN ͑5.5 kip͒ actuator. A displacement record generated from the ground acceleration time history for the El Centro Imperial Valley earthquake of May 1940, S00E component, was used in this study. Note that ground motion was not time scaled since the specimens were designed to fit actual parameters of interest, and not intended to be scaled models of actual structures.
Measurement of Initial Imperfections
Imperfections were thoroughly documented for each column in each specimen prior to testing. One base plate for each column of a specimen was marked with an arrow, establishing a reference orientation from which all measurements are related in each orthogonal direction, noted as ''U-D'' and ''L-R'' ͑for up-down and left-right͒. Fig. 3 schematically shows general column measurements and associated imperfections for the U-D orientation ͑similar data were also collected for the L-R direction͒. The width of each column was measured at the top, middle, and bottom, in each direction (w 1 , w 2 , and w 3 , respectively͒. The free height between base plates, l 1 and l 2 , was used to calculate the angle of bowing, b . The top lateral shifts of the column, v 1 and v 2 , were measured at each corner of the top base plate for each specimen column to allow calculation of the average uniform lateral shift, V unif , and the angle of twist, . Note that, in assembling the specimens, column orientations were chosen so as to minimize the net sum of V unif for all columns parallel and perpendicular to the direction of shaking. The dimensions measured and resulting imperfections are provided elsewhere ͑Vian and Bruneau 2001͒.
Instrumentation
A schematic of the test setup and instrumentation is shown in Fig.  4 .
One accelerometer was mounted on the shaking table to measure the ground acceleration exerted on the model structure. Two were mounted on top of the specimen, on the east and west sides of the mass plates, to measure the total acceleration of the mass, from which the inertial force acting on it can be calculated.
A strain gauge was mounted on one column of each specimen, and located a distance of one-third of the column height from its bottom base plate. This gauge was used to estimate structural forces during shake table testing, and subsequently during tests to establish material properties. Temposonics magnetostrictive displacement transducers were used to measure displacement of the table ͑labeled UG͒, vertical displacement of the mass ͑labeled Vert͒, and total horizontal ͑and torsional if any͒ displacements at the east and west sides of the mass ͑labeled HorEast and HorWest, respectively͒.
Measurement of displacements of the structural mass during the entire structural response of the specimens, including throughout much of their collapse, required special modifications to the instrument setup, described elsewhere ͑Vian and Bruneau 2001͒. 
Testing of Specimens
Results from the linear elastic free vibration test first performed on each specimen before subjecting it to earthquake excitations were used to determine the fundamental period of vibration and damping properties of the specimens. Table 1 lists, using average dimensions for each column making up the structure, the predicted fundamental period of vibration including P -⌬ effects, T np , the period calculated from the experimentally obtained time history data using Fourier spectrum analysis, T n exp , and the percent of difference between the two values, ⌬T n . The percentage of critical damping due to inherent damping in the structure, , was also estimated from the free vibration time history data using a logarithmic decrement method ͑Clough and Penzien 1993͒. The free vibration response curve obtained for each specimen was divided into three approximately equal intervals and estimates of the damping ratio were made using the first and last peaks of each interval. Interestingly, the resulting damping was found to be highly nonlinear. In general, when the mean amplitude of vibration of a given interval is plotted versus the estimated damping ratio for that interval, an inverse relationship between the two variables was observed ͑Vian and Bruneau 2001͒.
Shake table test schedules were established for each specimen, thus creating a series of progressively more severe shake table tests until the structure collapsed. The peak ground acceleration ͑PGA͒, for which maximum specimen displacement is equal to yield, was estimated using the 1.5% damped elastic response spectrum. Similarly, the PGA for collapse of a SDOF bilinear model was estimated, using the inelastic spectrum technique, and time history analyses by calculating the minimum value at which the displacement of the system is equal to the ultimate displacement, ⌬ u . From this information, approximately five PGA values were chosen to subject each of the specimens to during testing, progressively and proportionally increasing values in magnitude from approximately two-thirds of the estimated peak elastic response to the estimated peak inelastic response.
Experimental Results and Observations
Peak response quantities for the entire series of tests to which all specimens were subjected are normalized and plotted to investigate whether behavioral trends exist as a function of some of the key parameters defined previously. The progressive test results are then compared to empirical limits proposed by others to minimize P -⌬ effects on highway bridge piers, as well as to prediction of ''survivability'' inferred from axial-moment strength interaction design equations that consider both first-and second-order effects.
Behavioral Trends
The value of the stability factor, , has a significant effect on the response of the structure. In practical bridge and building structures, is unlikely to be greater than 0.10, and is generally less than 0.060 ͑MacRae et al. 1993͒. Specimen 1 is found to be the only one here that has a value near the suggested practical range for the stability factor, that is, with a value of 0.065. Specimens 2, 6, and 11 have stability factors slightly larger than the likely upper limit, at 0.123, 0.101, and 0.138, respectively. All other specimens have a value of у0.155.
Results of a graphical study of peak response parameters are summarized below. The spectral acceleration for the observed specimen period, S a final , displacement ductility, final , and drift, ␥ final , of the penultimate shake table test were compared with the stability factor, , and the static stability limit, s , of each specimen. Each of these values is from the penultimate test in a schedule of increasing earthquake intensity tests. Residual displacements of varying degrees are observed at the conclusion of each test as the schedule progresses. The following general observations can be made: • The elastic spectral acceleration for the observed specimen period, S a , the peak displacement ductility, , and peak percent of drift as a percentage of the height, ␥, were observed for the penultimate shake table test to have inverse relationships with . This suggests that the structures may be less able to undergo large inelastic excursions before imminent instability as the stability factor increases. Specimens 1 and 6, which have the lowest values of tested, were the only specimens able to withstand ground motion that imparted elastic spectral acceleration greater than 0.75 g. • Specimen 1 was the only specimen that underwent both ductility greater than five ͑20.35͒ and drift larger than 20% of the specimen height ͑64%͒, prior to collapse. Recall that this is the only specimen that has a value of less than 0.1. The static stability limit, s , can be expressed as the inverse of the stability factor, as previously demonstrated. A reverse trend of that seen versus the stability factor is observed, as expected, when the same response parameters are compared to s . In Fig. 5 , peak displacement ductility for the penultimate test is plotted versus the static stability limit ͑a best-fit equation has been matched to the data͒. The line final ϭ s is shown for clarity. Only specimen 1 was able to achieve ductility greater than the static stability limit in the next to last test.
NCHRP 12-49 Proposed P -⌬ Limits for Bridge Piers
The National Cooperative Highway Research Program ͑NCHRP͒, Project 12-49, under the auspices of the Transportation Research Board, developed a comprehensive set of proposed revisions to the American Association of State Highway Transportation Organizations ͑AASHTO͒ LRFD seismic specifications for highway bridges ͑ATC/MCEER 2001͒. Included is a proposed provision, intended to limit P -⌬ effects on bridge piers, which states the following: The displacement of a pier or bent in the longitudinal and transverse direction must satisfy
where ⌬ m ϭR d ⌬; R d ϭfactor related to a response modification factor and fundamental period; ⌬ϭdisplacement demand from seismic analysis; Cϭseismic base shear coefficient based on lateral strength; Wϭweight of the mass participating in the response of the pier; Pϭvertical load on the pier from nonseismic loads; and Hϭheight of the pier.
For analysis of the specimens in this research, Wϭ P and the measured experimental displacements, u rel , and estimated base shear coefficient, C s * (ϭV p */W), can substitute for ⌬ m and C, respectively, in Eq. ͑16͒. Note that V p * is the experimentally estimated base shear, corrected for P -⌬, described elsewhere ͑Vian and Bruneau 2001͒.
In Fig. 6 the proposed limit is compared with the peak experimental responses. The estimated base shear coefficient, C s * , is plotted as a function of the maximum drift, ␥ (ϭu rel /H). In Fig.  6͑a͒ , the specimens for which Ͻ0.25 ͑1, 2, 4, 6, 7, 11, and 12͒ are shown. During the initial tests, when the proposed limit was satisfied, none of these specimens failed. However, in the subsequent tests, due to repeated inelastic action, cumulative drifting of the structure increased, eventually causing progressive collapse and violation of the proposed limit. Collapse always occurred only after the limit was exceeded in a prior test, thus validating the proposed criterion. As shown in Fig. 6͑b͒ , the remaining specimens, for which у0.25, never satisfied the drift criteria, even for those tests that remained in the elastic range. The stability factor for these specimens, however, is well above the practical range discussed previously and, therefore, the limit violation is of no consequence.
Specimen Stability Analysis
The shake table test data are compared with axial-moment interaction design equations that account for both first-order and second-order behavior. The following bilinear relation is used to represent first-order strength of the specimen, accounting for firstorder column stability, by AISC ͑1994͒:
where M p ϭplastic moment capacity of the section; M pr ϭreduced plastic moment capacity due to the presence of an axial load; P u ϭaxial load on the column; and P n ϭaxial compressive strength of the column. Note that this equation, as shown, does not address additional moment demand due to P -⌬ effects. Second-order moment magnification due to P -⌬ effects can be accounted for by the use of the AISC-LRFD factor, B 2 . This factor amplifies static load effects, and, for the case under consideration, can be simplified as follows:
The above interaction relation of Eq. ͑17͒ can be used to calculate the minimum spectral acceleration necessary for structural instability of the specimens. Solving for the reduced moment capacity at the given constant axial force present on the structure, M pr , the limiting base shear, V lim , that corresponds to this moment can be calculated as
The corresponding elastic spectral acceleration is
Second-order effects can be accounted for during the elastic range of behavior by dividing the right side of Eq. ͑20͒ by B 2 , further reducing the moment capacity, M pr , in Eq. ͑19͒. This also leads to a reduction in the limiting base shear and corresponding spectral acceleration that the structure can withstand, as shown above.
Inelastic systems must be analyzed in a slightly different manner. Typically, assuming equivalent inelastic and elastic maximum displacement ͑Newmark and Hall 1982͒, the design shear force will be reduced by the ratio of elastic to inelastic response force, designated the response modification factor, R. The resulting modification of Eq. ͑18͒ is
Note that, for Rϭ4, typically considered for an ordinary moment frame, as the stability factor approaches 0.25, the denominator of the expression approaches 0, and therefore, B 2 approaches infinity. When Ͼ0.25, this moment magnification factor is negative. Note that the inelastic amplification factor, ␣, presented previously ͑Bernal 1987͒, is conceptually similar to in Eq. ͑21͒, but does not suffer from this mathematical singularity.
The resulting elastic spectral acceleration capacity is calculated by removing the response modification factor from the equation ͑i.e., Rϭ1). From the perspective of comparison with interaction relations, this is equivalent to the spectral acceleration producing first yield by assessing elastic behavior up to M pr . These quantities are listed for the specimens tested in Tables 2  and 3 for first-order and second-order analyses, respectively. Table 4 compares the maximum and minimum calculated spectral acceleration with the maximum measured mass acceleration, ü T max , and the maximum estimated base shear coefficient, C so * and C s * , respectively, calculated by neglecting and including P -⌬ effects. Each of the specimens reached values of these factors that exceed the minimum calculated spectral acceleration, which was dictated by the inelastic moment amplification factor, ␣.
The maximum calculated spectral acceleration was dictated by the section strength limit equation in all instances. Only specimen 1, the only one with Ͻ0.1, reached a value of ü T max that exceeded its corresponding S a max . Considering the base shear coefficient without P -⌬ effects, C so * , all of the specimens for which this value exceeds S a max have Ͻ0.4, although not all specimens in this range of stability factor reached this state. Specimens 1, 6, and 12 all reached values of the base shear coefficient with P -⌬ effects, C s * , larger than that of the maximum calculated spectral acceleration.
Model Verification Example
Analytically and experimentally obtained lateral force versus displacement results were compared for specimen 11 for its entire series of tests by performing nonlinear dynamic analyses using a bilinear elastically perfect plastic model. An average damping ratio estimate of 1.80% was used for each analysis. The bilinear parameters of the virgin specimen specified in the NONLIN ͑Charney 1998͒ model were obtained from data previously presented and described above. Yield stress observed during tension testing was used to determine the plastic base shear ͑including P -⌬), V yp , and the yield displacement, ⌬ y ϭ255 N, and 31.67 mm, respectively. However, when the specimen experienced residual displacement at the conclusion of a test, the model was modified for the subsequent test to account for the lower yield base shear upon reloading due to P -⌬ effects and bias in the cumulative drifting. Note that the specimens tested exhibit the dynamically unstable behavior characteristic of negative postyield stiffness, and negative HCC, as described previously. As a result, the system has a tendency to drift in a given direction once yielding has started, resulting in large cumulative residual displacement and a lower cyclic energy absorption capability prior to failure. Fig. 2 shows, for the assumed bilinear force-displacement model, the reduced specimen yield level, V yp Ј , following residual displacement, u r , given by
where ⌬F y ϭspecimen yield base shear reduction, and all other terms have been defined.
Two series of bilinear dynamic analyses were performed: First, the experimentally obtained residual displacement from each test was used to calculate the reduced yield force for the subsequent analysis ͑referred to as method 1 hereafter͒. Second, the residual displacement obtained analytically was used to calculate the re- Tables 2 and 3. duced yield force ͑method 2͒. Note that method 2 is a purely analytical approach, whereas method 1 is a hybrid in that the experimental results are used to ''adjust'' each successive analysis. Table 5 neither method provides a good match with experimental data, and that the second method predicted collapse before the final test. Note that these analyses are used for illustration purposes only. It is expected that more accurate refined analytical models will be used, calibrated, and developed to match, until collapse, the data from these benchmark experiments. Some work in this direction has already been conducted ͑Sivaselvan and Reinhorn 2002͒.
Conclusion
Fifteen SDOF specimens were subjected to earthquakes of progressively increasing intensity up to collapse due to instability. The purpose of the tests was to produce a set of fully documented benchmarks to which analytical models could be compared. In addition, a number of observations were made from the collected experimental data for consideration in the design of slender steel structures that behave inelastically under seismic excitation.
This study applies to structures that generally exhibit bilinear behavior. It is therefore felt that the results could be applicable to both steel and concrete structures, if details of proper practices are employed in order to ensure the reliable ductile performance desired during an earthquake event. Future studies could investigate structures that exhibit other hysteresis types.
The stability factor, , was observed to have the most significant effect on the structure's propensity to collapse. As increases, the maximum attainable ductility, sustainable drift, and spectral acceleration, which can be reached before collapse, all decrease. When this factor was larger than 0.1, the ultimate values of maximum spectral acceleration, displacement ductility, and drift reached before collapse were all grouped below values of 0.75 g, 5, and 20%, respectively.
Data collected in this test program were also used to verify the adequacy of an equation proposed to limit P -⌬ effects in highway bridges. Collapse always occurred only after the limit prescribed by that equation was exceeded in a prior test, thus validating the proposed criterion.
In a comparison of experimental results versus the capacities predicted by design interaction equations, all specimens were observed to have exceeded the strength predicted by inelastic moment amplification factors. In addition, some specimens having a low stability factor actually exceeded the strength calculated based on first-order effects. Considering the measured base shear coefficient without P -⌬ effects, C so * , all of the specimens for which this value exceeds S a max have a stability factor of less than 0.4, although not all specimens in this range reached this state.
For similar test programs in the future, specimens could be tested under other conditions to further quantify the nonlinear inelastic behavior of columns under earthquake loads up to collapse. For example, ground motion, measured or synthesized, with a more uniform response spectrum over the entire frequency range under consideration may be more desirable in removing the impact of ground motion as a variable that affects the behavior of the specimens. Alternatively, the effects of large pulses ͑near-fault effects͒ versus more regular cyclical excitations could be considered. It would also be of particular importance to more accurately quantify the effect of the stability factor, especially in the range of most practical significance, in relation to various peak response parameters, including those investigated in this study.
